Some experimental studies have been conducted on structural fire behaviour of steel sub-frames in order to investigate the effects of thermal stress due to the axial restraint from columns to a heated beam on the behaviour of connections, and its influences on the connected beam and robustness of steel frames. However, the object connections were not beam-to-beam connections but beam-to-column connections with fin plates, end plates, and web cleats. This paper discusses, on the basis of experimental results, structural fire behaviour of a rigid steel frame with fully-moment-resisting beam-to-beam connections with splice plates and HSFG bolts, and beam-to-column connections with full penetration welds. The structural behaviour in the test was also analysed with finite element analysis using Bernoulli-Euler beam elements. The test results indicated that the moment-resisting connections in the rigid steel frame have sufficient load-carrying capacity, but failure may occur in the connected beam due to inadequate shear resistance of the beam web in fire. The critical temperature of the steel beam could be approximated on the basis of its inherent resistance at elevated temperature and initial effects, because the thermal stress disappeared at the fire limit stage. This study was also intended to provide experimental data to help understand the fundamental behaviour of rigid steel frames in fire.
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INTRODUCTION
Steel fully-moment-resisting frame buildings have ductility through the development of yielding in their members when they receive severe horizontal loading in the case of a strong earthquake. Such a rigid steel framing system has moment-resisting beam-to-beam connections with splice plates and high strength friction grip (HSFG) bolts, and beam-to-column connections with full penetration welds, and it is often utilized for medium and high-rise buildings in highly seismic regions. The ductility of the rigid steel frames is so high that a simple calculation method [1] based on the limit state design is often used for structural fire safety design of steel structures in Japan. Thermal stress in critical members in a steel structure is assumed to disappear at the fire limit stage, and the critical temperatures of members are calculated against only initial effects or permanent service loads. In the method, there must be ensured not only the ductility of members (e.g., low width thickness ratio), but also the high resistance of connections. Therefore, the connection may have the problem that strength loss at elevated temperature is larger for the HSFG bolts than for the steel plates or the connected beams, and in Japanese regulation of fire safety engineering design for steel structures, beam temperature is limited at 550°C because of concern about failure of bolted connections. The regulation is so conservative that a research project on the structural fire performance of beam-to-beam connections was planned in order to modify the regulation. This paper discusses structural fire behaviour of a rigid steel frame with fully-moment-resisting beam-to-beam connections with splice plates and HSFG bolts, and beam-to-column connections with full penetration welds on the basis of experimental results.
In European countries, some experimental studies on structural fire behaviour of steel sub-frames have already been conducted in order to investigate the effects of thermal stress due to the axial restraint from columns to a heated beam on connection behaviour and its influences on the connected beam and robustness of steel frames [2 -5] . However, the object connections are not beam-to-beam connections but beam-to-column connections with fin plates, end plates, and web cleats. Certainly, these beam-to-column connections are key elements for fire engineering design of steel framed structures and it is more important to understand not only strength but also robustness of the connections in steel frames for advanced structural fire safety design (e.g., taking into account the membrane action of unprotected composed flooring system exposed to fire heating). Meanwhile, a rigid steel frame with moment-resisting beam-tobeam connections may be an excellent frame for supporting an unprotected composed flooring system in case of a fire, but no experimental data are available on the structural fire performance of such a rigid steel frame.
AIJ recommendation for fire resistant design of steel structures [1] , which gave an approximation to the critical temperature of a simple plastic collapse model, was a research product on the basis of numerical analysis of rigid steel frames. The validity of the approximation method was not clarified by experimental investigation, and AIJ recommendation did not describe the influence of the temperature distribution and shear failure on the critical temperature of statically indeterminate steel beams. Therefore, the load-bearing fire test was conducted in order to investigate the actual behaviour of the rigid steel frames in fire. The specific motivations of this experimental study were as follows:
(1) to obtain the temperature distribution in a protected rigid steel frame exposed to a compartment fire (single storey fire) and to discuss the influence of the steel temperature at the connections on their heat capacities and thermal conduction to the unheated members; (2) to reveal the behaviour of moment-resisting beam-to-beam connections with splice plates and HSFG bolts and beam-to-column connections with full penetration welds in fire; (3) to obtain the deflection and elongation of a heated beam in a rigid steel frame and to discuss the influence of restraint from unheated members to the heated beam on the failure of the beam or connections and development of thermal stress in the frame; (4) to assess an approximation method of the critical temperatures of statically indeterminate beam with moment-resisting connections in fire; (5) to compare the test result with that obtained from a numerical finite element (FE) analysis using Bernoulli-Euler beam elements and to check the validity of the FE analysis.
It should be pointed out that the fire test was not for a composite beam as would be the case in practice. This paper discusses fundamental structural behaviour of a rigid steel frame in fire.
TEST AND ANALYSIS
Test setup, specimen, and measurement Fig. 1 shows the experimental setup. A standard fire was assumed to occur on the first storey of a twostorey sub-frame which was taken to be a part of a whole steel frame building. The sub-frame specimen was composed of both side columns and three beams, and the columns were divided into a lower column on the first storey and an upper column on the second storey. Heated members were the middle beam (exposed to fire on three sides) and the lower columns (exposed to fire on four sides). The role of unheated members, which were the top beam, the bottom beam, and the upper columns, was to restrain thermal elongation of the heated middle beam. The middle beam and its connections were examined for their load bearing (or carrying) capacity in fire. The constant load (each target load was 73.8 kN) applied to the middle beam was near the design allowable permanent load of the beam. The initial bending moment at the ends of the middle beam before heating was 2/3 the yield moment of the beam. The steel grade of the beams and splice plates was SN400B (in accordance with JIS G-3136: Rolled Steels for Building Structure) whose design yield stress is 235 N/mm 2 . The dimensions of the section of the beams were height: 300 mm, width: 150 mm, web thickness: 6.5 mm, flange thickness: 9 mm, and fillet radius: 13 mm. The steel columns were cold-formed SHS (square hollow section) columns whose design yield stress is 295 N/mm 2 . The sizes of the section of the columns were widths: 250 mm, thickness: 12 mm, and corner radius: 30 mm. Fig. 2 and Table 1 show the details of the connections. Fig. 2 (a) shows the details of the moment-resisting beam-splice connections. The grade of the HSFG bolt was F10T, and the pre-tension of the high-strength hexagon bolts was in accordance with JIS B 1186 for friction grip joints. The bolt shank diameter was 16 mm, and bolt hole diameter was 17 mm. The thicknesses of the splice plates for the flanges and web were 9 mm and 6 mm, respectively. All lap joints were double shear. A fully-moment-resisting connection was defined [6] as one whose bearing resistance is more than 1.15 times the plastic moment of the beam. As shown in Fig. 2 (b) , the beam-to-column connections were full penetration arc welding connections with through diaphragms. The thickness of the diaphragms was 12 mm, and the groove angle was 45°. Web plates of the beams were connected by fillet weld, and the fillet size was 6.5 mm. Table 2 and Table 3 show Certified Mill Test Reports for SN400B, BCR295 and F10T.
The test was carried out in a loading frame and furnace for horizontal elements at General Building Research Corporation of Japan. The temperature of the furnace was controlled to follow the ISO 834-1 standard fire. The fire protection material of the middle beam and lower columns was a ceramic fibre blanket, with a fire resistance rating of about one hour for a thickness of 12.5 mm. The bottom beam in the furnace was covered more with a protection whose thickness was 100 mm, because the bottom beam was assumed to be an unheated beam. The ALC board that formed the ceiling of the furnace was not structurally connected to the middle beam. The total length of the specimen was 4.7 m and the total height was 2.4 m. The fire test was conducted in reduced scale (about 1 in 2), due to limitations in the structural fire testing facility. While making the experimental plan, Lim"s test report [7] was referred. Constant loads were applied near the mid-span of the middle beam as two point loads, and controlled loads were applied to the top beam in order to cancel the loads against the top beam and to control the constant loads against the middle beam (see Fig. 1 ). Lehigh mechanisms were used in order to prevent lateral buckling of the middle beam.
As shown in Fig. 1 , displacement transducers were placed on the middle beam and the upper columns to measure the beam deflection and the beam elongation. In order to investigate the thermal stress in the frame, strain gages were installed at the two sections of the upper columns, which were not affected by heating. Bending moments at the two sections and shear force of the upper columns were given by the values of these strain gages. Fig. 3 shows the arrangement of thermocouples. In order to capture the temperature distribution in the specimen, 58 Cromel-Almel thermocouples (Type K) were installed in the beams, columns, and connections. Fig. 4 shows the result of the gas temperature distribution in the furnace. Seventeen temperature-time curves measured around the test frame followed the standard fire temperaturetime curve reasonably well. Thermocouple for measurement of steel temperature
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Analytical model and stress-strain curves of the steels at elevated temperatures
The computational analysis program used originates in a report by Becker and Bresler at the University of California, Berkeley [8] , and had been amended by Uesugi et al. at Chiba University [9] . This is an FE analysis using Bernoulli-Euler beam elements, which is capable of modelling the two-and threedimensional behaviour of steel frames subjected to fire, and includes geometrical and material nonlinearities. Fig. 5 shows the half figure of the analytical frame model and the division of steel temperatures for input data for the structural FE analysis. As this analysis program did not take into account bolted connections, the beams and the columns were assumed to be connected by welding and to be perfectly continuous. Thermal analysis was not carried out, and the input data on steel temperatures for structural FE analysis was based on the test result.
The stress-strain relationships for the steels were obtained by elevated-temperature tensile tests in accordance with JIS G-0567. The specimens were cut from the beam flange and the flat part of the column in the same direction as that of hot rolling. Gauge length was 30 mm. The temperatures at the midpoints of specimens were within ±3°C of the target temperatures. Velocity of deformation was controlled in a loading machine, and specimen deformation was measured by transducers and amplifiers. The rate of strain was 0.3%/min up to 5% strain. Fig. 6 shows the results of the elevated-temperature tensile tests. Stressstrain curves for use in calculation of the load-bearing fire test of the rigid steel frame were represented by Eq. 1 [1, 10] . Table 4 shows the values of Eq. 1. As shown in Fig. 6, the [11] .
RESULTS AND DISCUSSION
Temperature distribution in the steel frame Fig. 7 (a), (b), and (c) show the temperatures at the mid-span, the beam-splice connection (north side), and the end (north side) of the middle beam, respectively. The temperatures of the north side at the connection and the end of the beam were almost same as that of the south side. Heating was stopped at 71 min after ignition, when the beam mid-span deflection reached 100 mm. As shown in Fig. 7(a) , the temperatures at the bottom flange and the web lower part of the beam mid-span were almost the same and rose to about 580°C at 50 min and above 700°C after 70 min. The rising rate of steel temperature decreased from 600°C, because specific heat capacity of steel gradually increased from 600°C. The temperature was lower for the top flange than for the bottom flange, because the boundary conditions of heat transfer differed. As shown in Fig. 7(b) , the temperature was distinctly lower for the beam-splice connection than for the mid-span of the beam, because moment-resisting beam-splice connections had a relatively high heat capacity. The mean temperature of the connections (377°C at 50 min and 510°C at 67.5 min) was 71-77 % that for the beam mid-span (528°C at 50 min and 659°C at 67.5 min). The time to reach the limiting rate of deflection for flexural elements in accordance with ISO834-1 was 67.5 min. This result was similar to previous report [12] of load-bearing fire tests, imitating the action of continuous beams with beam splice connections. As shown in Fig. 7 (c) , the temperature was also lower for the end of the beam than for the mid-span of the beam, because the heat conduction from the beam end to the panel-zone and the unheated upper column occurred at the end due to difference of the temperatures. The temperatures at the end and mid-span of the beam were similar up to 100°C at 10 min after ignition, and subsequently the difference between the two temperatures gradually increased. The mean temperature of the ends (368°C at 50 min and 471°C at 67.5 min) was about 70 % that for the mid-span. The differences of steel temperatures between the mid-span, the ends of the beam, and the beam-splice connections were considerable. In order to approximate the critical temperature of the beam accurately, the temperature reduction factors should be considered. The temperature reduction factors are shown in Table 5 in the section "Critical temperature of the beam". Fig. 7 (d) shows the temperatures of the columns and the panel zone (north side). Although the fire protection of the lower column is the same as that for the middle beam, as shown in Fig. 7 (a) and (d) , the steel temperature was distinctly lower for the mid-span of the lower column than for the mid-span of the middle beam, and the difference of mean temperatures was above 150°C after 50 min. The section factor, which is the ratio of the heated surface area of a steel member to the volume of the member, was lower for the SHS column (0.091 mm -1 ) than for the I-beam (0.191 mm -1 ). The temperatures of the lower column were below 500°C and the temperature at the bottom of the upper column was about 80°C at 70 min. The temperatures at the section where strain gages were installed were below 40°C up to 70 min. The temperature was lower for the upper diaphragm (220°C at 70 min) than for the lower diaphragm (390°C at 70 min) of the panel zone. Fig. 8 (a) shows the global aspect of residual deformation of the frame after the test. The middle beam deflected to a great extent, due to rotation at the connections, shear deformation at the insides of the connections, and bending deflection at the mid-span of the beam. Failure of the beam occurred due to the shear force; i.e., diagonal tension in the beam web adjacent to the connection, and thus a "truss analogy" as a mechanism of shear transfer. Therefore, the resistance of the beam should be related not only to bending resistance but also to shear resistance. For the rigid steel frame, the shear failure of beams may occur in case of a fire, because the shear arm ratio (the ratio of shear span to depth) is smaller for a continuous beam than for a simply supported beam with pin connections (e.g., fin plate connection). Meanwhile, the bending failure mode, which is a plastic collapse of the beam and its connections due to the bending moment, should be also considered, because rotation of the connections was very large. Members other than the middle beam were not deformed to a great extent after the test. As shown in Fig. 8 (b) , neither beam-to-beam bolted connections nor beam-to-column weld connections failed, and no compressive contact occurred between the bottom-flanges of the connected beams as rotation of the connection develops. Generally, the critical load-carrying mechanism of the moment-resisting beamsplice connection changes from bolt friction mode to bolt bearing in the case of a fire. As shown in Fig. 8  (c) , the shear deformation of the bolts developed but the bolts did not fail, because their ductility in shear increased at high temperature. Previous papers [13, 14] also reported that bolts in shear did not easily fail at large shear deformations above 500°C and their ductility at high temperature may improve the rotational capacity of the bolted connection. For fully-moment-resisting beam-splice connections, deformations due to both bolts in shear and plate yielding developed before plate bearing reached its resistance, and bolts did not fail. In this test, the beam-to-column connections with full penetration welds did not fail either, although the tensile force in the middle beam and its weld connections developed due to thermal contraction of the beam and its restraint by surrounding members during the cooling phase. No cracks occurred in the weld. Failure of full penetration weld connections may not occur because the tensile strength is generally larger for weld metal than for the connected steel. However, it should be pointed out that the performance of the weld connections depends on the welder and welding conditions. ) show the deflection and the rate of deflection (per min) at the mid-span of the middle beam and a comparison of the test result with the result calculated from FE analysis (legend "FEA") using Bernoulli-Euler beam elements. The deflection was the relative vertical displacements between mid-span and ends of the beam. In Fig. 9 (a) , the initial deflection is zero, and this does not include deflection due to variation of loading at ambient temperature before heating. The recorded beam mid-span deflection at the target load of 73.8 kN was about 5 mm. During the early stages of the fire, up to 30 min, the beam deflection was very low, because the thermal expansion across the height of the beam, which would normally cause much of the deflection of the beam, was countered by the restraint to rotation at its ends, which applied a hogging moment. Small increases of the deflection occurred suddenly at 33 min and 44 min due to the occurrence of slip between the splices and the connected beams, and the rate of deflection gradually increased after 50 min. The fire resistance time was 67.5 min (when the mean temperature at the mid-span of beam was 659°C), which was the time to reach the limiting rate of deflection (L 2 /9000d=7.3 mm/min, L=4450 mm: the span of the test specimen, d=300 mm: the beam depth) for flexural elements in accordance with ISO834-1. For estimation of the limiting deflection and the limiting rate of deflection, the span of the test specimen L was taken to be the length of the beam, which was defined as the distance between the centroids of the columns. It should be pointed out that the limiting values for fire resistant time might be not completely correct, because this was not a test for a simply supported beam. Heating was stopped at 71 min, when the beam mid-span deflection reached 100 mm, and loading was stopped at 73 min (when the mean temperature at mid-span of the beam was 682°C), because the rate of deflection reached 15 mm/min and the security of the testing facility was of concern. The specimen might lose its load-bearing capacity around 73 min, although the loading could not be kept up to that point, when the beam exhibited sufficient catenary action. The FE analysis did not take into account the beam-to-beam bolted connection, but the result from FEA agreed with the test result up to about 65 min. This time was close to the fire resistance time (67.5 min) in accordance with ISO834-1. Subsequently, the rate of deflection was lower for the FEA result than for the test result, because the FE analysis using BernoulliEuler beam elements did not take into account the development of beam deflection due to shear failure. The prediction may need a full non-linear FE analysis using shell elements. Fig. 10 shows the elongation of the middle beam, which was measured by displacement transducers placed horizontally at the bottom of the upper columns (see Fig. 1 ). The elongation was thermal elongation of the beam receiving axial restraint by the surrounding members. During the early stages of the fire, up to 50 min (when the mean temperature at the mid-span of beam is 528°C), the elongation of the beam increased in proportion to the heating time or the temperature of the beam, but the value was considerably lower than the free thermal elongation of the beam. Then the elongation decreased due to the development of deflection of the beam. Fig. 10 also shows the sudden low decreases of the elongation due to the occurrence of slip between the splices and the connected beams, but the elongation might be not affected by the bolted connections very much. The FEA result approximated the whole aspect of the test result for the elongation, but it seemed that slip of the bolted connection was one reason for the difference between the test result and FEA result. It should be pointed out that the FEA result for the elongation did not agree with the test result after 65 min, as in the case of beam deflection. Fig. 11 shows the variation of the shear force in the upper columns. The shear force in the test was calculated from the values of the strain gages installed at the two sections of the upper column. This was due to thermal elongation of the middle beam and its restraint from the columns. Therefore, Fig. 11 for the variation of the shear force was similar to Fig. 10 for the elongation of the middle beam. The shear force in the upper columns increased during the early stages of the fire, up to 45 min in the test. After the bending moment at the ends of the column reached the resistance of the column, the shear force in the column decreased due to a reduction of the steel"s resistance. Moreover, the shear force decreased sharply due to development of beam deflection after 50 min. The shear force on columns became zero at 72 min, when the beam reached the limit state stage due to its shear or bending ultimate strength at elevated temperature, and then the tensile force in the beam increased and the beam might exhibit catenary action. The FEA result approximated the whole aspect of the test result for the shear force in the columns, as in the case of elongation of the middle beam. 
Observations, connections behaviour, and failure mode

Critical temperature of the beam
The critical temperatures for continuous steel beams can be approximated on the basis of the theory of simple plastic design [1, 11] . An approximation to the critical temperature of a simple plastic collapse model was given by AIJ recommendation [1] . This paper also discusses the approximation method for the critical temperature of steel beams with moment-resisting beam-splice connections. The simple plastic collapse model originated in Ozaki-Suzuki"s concept [15] , which was based on the resistance of the beam and the beam-splice connection in the fire limit state calculated as for an undivided span with three plastic hinges. The resistance of the beam-splice connection was on the bolt failure and was calculated from the strength of the bolts. In this study, the differences of steel temperatures between the mid-span, the ends of the beam, and the beam-splice connections were also taken into consideration [12] . In order to take into account the considerable difference of their temperatures, the critical temperature was defined by the mean temperature of the section at the mid-span of the beam at the fire resistance time or at the limit state stage. Table 5 shows the temperature reduction factors for the beam end, the beam-splice connection, and the beam web, which were the mean temperatures of the sections or the web parts divided by the mean temperature of the section at the mid-span of the beam at 67.5 min, which was the fire resistance time from the test result. The critical temperature of the beam T cr was given by Eq. 2 and this was the minimum critical temperature calculated by Eq. 3 -Eq. 6. 
On the basis of elevated-temperature tensile tests, the reduction factor for the effective yield strength of the steel used for the beam at elevated temperature was given by Eq. 7. As shown in Fig. 12 (a) , the reduction factor for the approximation of the critical temperature agreed with the 1% proof stress from the tensile tests result. The strength reduction factor of the bolts at elevated temperature was given by Eq. 8 from the results of our previous study [16] on HSFG bolts as shown in Fig. 12 (b) . Table 6 shows critical temperature and the collapse modes of the beams. The failure mode for the test was determined from the deformation of the specimens after the test (see Fig. 8 ). The result for the simple plastic collapse model approximately agreed with the test result. The difference in critical temperatures between the test result and the result of the simple calculation was 4°C, and the collapse mode was the same. This indicated that the critical temperature for the steel beam in a rigid frame can be approximated on the basis of its inherent resistance at elevated temperature and initial effects, because the thermal stress disappeared at the fire limit stage. 
CONCLUSIONS
This paper has presented structural behaviour results of a load-bearing fire test on a rigid steel frame with connections. This fire test was intended to provide experimental data to help understand the fundamental structural responses of rigid steel frames in fire. The main conclusions were:
(1) Temperature distribution: The difference of steel temperatures between the centre, the ends of the beam, and the beam-splice connections was considerable. The mean temperature of the beam-splice connections was 71-77% of that of the beam mid-span. The mean temperature of the ends was about 70% that of the mid-span.
(2) Neither the full-moment-resisting beam-splice connection nor the full penetration weld connection failed, although a large beam mid-span deflection developed during the heating phase and the tensile force in the heated beam developed due to thermal contraction of the beam and its restraint from the surrounding members during the cooling phase.
(3) The beam deflection was very low during the early stages of the fire, because the thermal expansion across the height of the beam was countered by the restraint to rotation at its ends, which applied a hogging moment. The beam deflection gradually increased above 500°C, and ultimately shear failure of the beam occurred. Therefore, the resistance of the beam should be related not only to bending resistance but also to shear resistance. For the rigid steel frame, the shear failure of beams may occur in the case of a fire, because the shear arm ratio is shorter for a continuous beam than for a simply supported beam with pin connections.
(4) The shear force in the columns increased during the early stages of fire due to thermal elongation of the heated beam and its restraint by the columns. Then the shear force decreased due to degradation of the column and the development of beam deflection, and ultimately, it became zero when the beam reached the limit state stage due to its shear or bending ultimate strength at elevated temperature.
(5) The difference in critical temperatures between the test result and the result of the simple calculation was 4°C, and the collapse mode was the same. The critical temperature for the steel beam in a rigid frame was approximated on the basis of its inherent resistance at elevated temperature and initial effects, because the thermal stress disappeared at the fire limit stage.
(6) The influence of the slip of the beam-splice connection on the behaviour of the frame in fire was not very large. The result of a finite element analysis using Bernoulli-Euler beam elements approximately agreed with the test result before the occurrence of shear failure of the beam. 
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